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Abstract:   

A procedure is proposed to assess whether a liquefied strength should be applied to a zone of non-4 

plastic silt, silty sand, and/or clean sand in a static or seismic stability analysis to assess the flow 5 

failure potential of dams and slopes. The procedure consists of the following five main steps to 6 

assess the flow failure potential: (1) assess static liquefaction potential of segments along a 7 

potential failure surface, (2) assess seismic liquefaction potential by calculating the factor of safety 8 

against liquefaction (FoSLiquefaction) for any amplitude of shaking; (3) if liquefaction is not triggered 9 

in any of these segments, assess the magnitude of shear-induced pore-water pressures due to 10 

seismic or vibratory events of any amplitude; (4) assign a liquefied strength to zone(s) that 11 

experience seismic liquefaction, i.e., FoSLiquefaction < 1 or significant pore-water pressure 12 

generation, i.e., total pore-water pressure ratio ≥ 0.7; and (5) conduct a post-triggering stability 13 

analysis to assess flow failure potential. This procedure is illustrated using the 1971 seismic 14 

permanent deformations of Upper San Fernando Dam and 2015 Fundão tailings dam failure. 15 

 16 

Keywords:  17 

Liquefaction, Slopes, Earthquakes, Dams, Embankments, Shear strength, Post-liquefaction.  18 

 19 
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INTRODUCTION 20 

The 2015 Fundão and 2019 Feijão tailings dam failures generated a need to refine the three-step 21 

flow failure analysis procedure proposed by Olson and Stark (2003). The Olson and Stark (2003) 22 

three-step procedure involves conducting a: (1) liquefaction susceptibility analysis by determining 23 

whether the non-plastic soil along a potential failure surface behaves as contractive or dilative 24 

material; (2) liquefaction triggering analysis; and (3) post-triggering/flow failure stability analysis. 25 

Numerous investigators e.g., Sladen and Hewitt 1989; Ishihara 1993; Fear and Robertson 1995; 26 

Baziar and Dobry 1995; Olson and Stark 2003, have proposed contractive susceptibility boundary 27 

lines based on penetration resistance, i.e., soil density and effective confining stress, to separate 28 

contractive and dilative shear behavior. These contractive boundary lines have been used to decide 29 

whether a liquefied strength should be applied in a post-triggering stability analysis. In particular, 30 

if the penetration resistance plots to the left of the contractive/dilative boundary line, a liquefied 31 

strength is applied to the applicable segment of the failure surface. Conversely, if the soil condition 32 

plots to the right of the contractive/dilative boundary line, a liquefied strength is not applied to the 33 

segment because the soil is deemed to be dilative and not susceptible to a large increase in pore-34 

water pressure and strength loss. However, the 2015 Fundão and 2019 Feijão tailings dam flow 35 

failures and other case histories indicate the Olson and Stark (2003) contractive susceptibility 36 

boundary is unconservative and is revised herein.  37 

 38 

The three-step flow failure analysis procedure proposed by Olson and Stark (2003) is also 39 

expanded herein to discontinue the use of a contractive/dilative boundary line and rely on an 40 

estimate of the shear-induced pore-water pressures to determine whether a liquefied strength 41 

should be applied. The new flow failure assessment for dams, embankments, and slopes during or 42 
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after seismic or dynamic loading of any amplitude consists of the following five main steps: (1) 43 

assess static liquefaction potential of segments along a potential failure surface, (2) assess 44 

seismic/dynamic liquefaction potential along a potential failure surface by calculating the factor 45 

of safety against liquefaction (FoSLiquefaction), i.e., ratio of cyclic resistance ratio (CRR) to cyclic 46 

stress ratio (CSR); (3) if liquefaction is not triggered in any of these segments, i.e., FoSLiquefaction > 47 

1,  assess the magnitude of shear-induced pore-water pressures due to small seismic or other 48 

vibratory events in each segment; (4) assign a liquefied strength to zone(s) that experience seismic 49 

liquefaction, i.e., FoSLiquefaction < 1,  or significant pore-water pressure generation, i.e., total (static 50 

plus dynamic) pore-water pressure ratio greater than or equal to 0.7; and (5) conduct a post-51 

triggering/flow failure stability analysis to assess flow failure potential. Procedures for assigning 52 

a liquefied strength or liquefied strength ratio are also presented in this paper, emphasizing the 53 

importance of incorporating them in post-triggering stability analyses to determine flow failure 54 

potential. 55 

 56 

Procedures are available for assessing the seismic triggering of liquefaction in level and sloping 57 

ground, e.g., Seed and Harder (1990), Harder and Boulanger (1997), Mesri (2007), and Boulanger 58 

and Idriss (2014). Seed and Harder (1990) propose adjustment factors, K and K, to modify the 59 

level ground cyclic resistance ratio to account for a static shear stress and an effective overburden 60 

stress greater than 100 kPa, respectively. Despite being updated by Harder and Boulanger (1997) 61 

and Boulanger and Idriss (2014), the K adjustment factor exhibits a large uncertainty in its 62 

application. Consequently, the corrections are sometimes omitted on small and moderately sized 63 

projects with horizontal ground. Otherwise, K should be included to determine whether K makes 64 

the project site more liquefiable. For large projects, site-specific adjustment factors can be 65 
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developed, e.g., Pillai and Stewart 1994; Hedien et al. 1998. This paper also presents a method to 66 

assess the triggering of liquefaction for dams, embankments, and slopes.   67 

 68 

If liquefaction is predicted to trigger along a segment or segments of a potential failure surface, 69 

this paper presents a procedure for estimating a liquefied strength or liquefied strength ratio for 70 

this segment(s) to evaluate flow failure potential for any magnitude of ground motion. This is 71 

important because if a zone develops a liquefied strength condition, it has a large impact on static 72 

and dynamic stability and thus flow failure potential.   73 

 74 

If liquefaction is not predicted to trigger due to small earthquakes, blasts, equipment vibrations, or 75 

other dynamic disturbances, the magnitude of shear-induced pore-water pressures should be 76 

estimated to determine if a liquefied strength or strength ratio should be applied. This analysis is 77 

based on available empirical and numerical methods for assessing shear-induced pore-water 78 

pressures in level or sloping ground using the FoS against liquefaction (FoSLiquefaction ). For 79 

example, the shear-induced pore-water pressures can be estimated empirically using FoSLiquefaction  80 

in level or sloping ground from empirical correlations or numerical methods. If the shear-induced 81 

pore-water pressures are empirically predicted to result in a significant reduction in effective stress 82 

and warrant the application of a liquefied strength, a numerical analysis of the pore-water pressure 83 

generation can be performed using various constitutive models, e.g., UBCSAND (Beaty and 84 

Byrne, 2011), PM4SILT (Boulanger and Ziotopoulou, 2018), to improve the understanding of  85 

pore-water pressure generation. The shear-induced pore-water pressures are used to determine if 86 

the effective stress condition of a segment shifts to the left of the critical state locus in (q–p) space, 87 

which indicates mobilization of a liquefied strength due to soil contraction. This procedure is 88 
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illustrated herein using the 1971 seismically-induced permanent deformations of Upper San 89 

Fernando Dam and 2015 Fundão Tailings Dam failure below.  90 

 91 

After assigning a liquefied strength to the appropriate segment(s) along a potential failure surface, 92 

limit equilibrium stability analyses should be conducted without a seismic coefficient to assess the 93 

potential for flow failure, i.e., FoSFlow. If the resulting FoSFlow decreases to less than unity (1.0), 94 

flow failure is likely and remedial measures should be applied (Olson and Stark, 2003). If the 95 

resulting FoSFlow is between 1.1 and 1.3 and the project justifies it, a numerical analysis of the 96 

resulting permanent deformations should be performed (Olson and Stark, 2003). If the resulting 97 

FoSFlow is greater than 1.3, no action is required (Olson and Stark, 2003). The following sections 98 

present additional details on these five tasks for assessing the flow failure potential of dams, 99 

embankments, and slopes 100 

 101 

YIELD AND LIQUEFIED STRENGTHS 102 

Fig. 1 schematically represents the undrained behavior of saturated sandy soil subjected to static 103 

and dynamic shear stresses. The undrained yield shear strength [su(yield)] is defined as the static 104 

peak shear strength (see Point B in Fig. 1(a)) available during undrained loading (Terzaghi et al. 105 

1996). Undrained strain softening or strength loss can be triggered by either static or dynamic loads 106 

that exceed su(yield).  107 

 108 

Point A in Fig. 1(a) represents the pre-existing stress and strain conditions in a soil element. Point 109 

A could have been reached by drained, partially drained, or completely undrained loading during 110 

dam or embankment construction (Eckersley, 1990 and Sasitharan et al., 1993). During placement 111 
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of the next fill lift or an external applied shear stress, the soil element moves from Point A to Point 112 

B, which is located on the undrained yield strength envelope (see Point B in Fig. 1(b)). This step 113 

assumes that the drainage boundaries and hydraulic conductivity of the element result in an 114 

undrained loading condition. The value of su(yield) is close to the average undrained shear 115 

strength because different shear modes are present along the potential failure surface.  When 116 

the shear stress in this element exceeds su(yield) at Point B, the soil structure yields, i.e., tends to 117 

contract, and positive shear-induced pore-water pressures are generated causing a reduction in 118 

effective stress and undrained strength. If pore-water pressure generation is sufficient to trigger 119 

liquefaction, the soil element moves from Point B to Point C in Fig. 1(a), i.e., mobilization of a 120 

liquefied shear strength. With continued strain or deformation, the soil moves from Point C to 121 

Point D in Fig. 1(a) with no further strength loss because it corresponds to the liquefied strength.  122 

 123 

For cases of static loading, small earthquakes or other small vibrations, the shear stress mobilized 124 

in the zone of contractive soil immediately prior to failure is approximately equal to su(yield). An 125 

inverse limit-equilibrium stability analysis of the pre-failure geometry provides a reasonable 126 

estimate of su(yield) and yield strength ratio [su(yield)/ 'vo] mobilized within the zone of 127 

liquefaction. The yield strength ratio is defined as su(yield) divided by the pre-failure vertical 128 

effective stress [su(yield)/'vo]. 129 

 130 

Point A’ in Fig. 1(a) represents the pre-existing stress and strain conditions in a soil element that 131 

is subsequently subjected to dynamic shear stress. Point A’ also could have been reached by 132 

drained or undrained loading, and the static shear stress carried by the element is greater than its 133 

liquefied shear strength (Point C). If the dynamic loading is small and the soil element still 134 
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mobilizes a liquefied strength, Point A’ could be close to Point A. When large dynamic loads are 135 

required to trigger liquefaction, Point A’ will be a significant distance from Point A but the soil 136 

element can still mobilize a liquefied strength with a large loading, e.g., Mochi-Koshi Tailings 137 

Dams and M= 7.0 earthquake (Ishihara, 1984). During a significant seismic or dynamic loading, 138 

positive shear-induced pore-water pressures are generated, which cause shear strain or deformation 139 

and the stress condition moves from Point A’ to Point E.  140 

 141 

If Point A’ is a significant distance from Point A, the dynamic loading may not be sufficient for 142 

the stress condition to move from Point A’ to Point E and the soil does not undergo substantial 143 

strain and strength loss. There may be field processes that occur during earthquakes that cause the 144 

liquefied strength to be less than what might be produced from an undrained monotonic test, e.g., 145 

generation of water films, void ratio redistribution, overlying confining layer, and mixing of thin 146 

soil layers. Therefore, inverse analysis of flow failure case histories provides a better estimate of 147 

the liquefied strength because it includes some unknown field factors that are not incorporated in 148 

laboratory shear tests. 149 

 150 

At Point E, the mobilized strength is less than su(yield) so this dynamic loading situation cannot 151 

be used to estimate mobilized su(yield). This is due to the dynamic loading causing some cyclic 152 

softening, so the dynamic loading does not have to exceed su(yield) to cause additional strain or 153 

deformation. With continued strain or deformation, the soil element undergoes additional strength 154 

loss and moves from Point E to Point C in Fig. 1(a), i.e., mobilization of a liquefied shear strength. 155 

With continued strain or deformation, the soil moves from Point C to Point D with no further loss 156 

of strength. 157 
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The yield strength envelope in Fig. 1(b) is the same as the instability line in Jefferies and Been 158 

(2016). The soil must reach or pass the yield strength envelope to induce a liquefied strength 159 

condition. The yield strength ratio is nearly equivalent to the inclination of the yield strength 160 

envelope. There are multiple stress paths that can lead to exceeding the yield strength envelope, 161 

such as static load, seismic load, reduction of effective stress due to pore-water pressure 162 

generation, drilling pressures, and permanent deformations. 163 

 164 

STATIC LIQUEFACTION ANALYSIS 165 

The first of the five steps in assessing the flow potential of dams and embankments, and slopes 166 

involves evaluating the potential for static liquefaction and whether a liquefied strength or 167 

liquefied strength ratio should be applied to a segment(s) along a potential failure surface. This 168 

differs from the approach in Olson and Stark (2003) in which the first step of the flow failure 169 

analysis is to determine if the soil is contractive or dilative not whether a zone(s) will mobilize a 170 

liquefied strength, which is a later step. This is key because if a zone(s) mobilizes a liquefied 171 

strength, a flow failure can occur directly or via a progressive failure mechanism so determining 172 

whether a liquefied strength condition will develop under static conditions is a new and important 173 

first step. 174 

 175 

Fig. 2 presents CPT-based static flow failure cases from Olson and Stark (2002) and other sources 176 

(see Table 1) using the pre-failure effective vertical stress (𝜎𝑣𝑜
′ ) and cone tip resistance (qc) 177 

normalized to an effective vertical stress of 101 kPa (qc1) using the following expression where m 178 

is equal to 0.5: 179 

𝑞𝑐1 = 𝑞𝑐 ∗ 𝐶𝑁                (1) 180 
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𝐶𝑁 = (
𝑃𝑎

𝜎𝑣0
′ )

𝑚 

               (2) 181 

 182 

where qc is cone penetration resistance in MPa. 𝐶𝑁 is blowcount overburden stress correction 183 

factor. Pa is the atmospheric pressure of 101 kPa, and m is a parameter that depends on the soil 184 

properties and relative density.  185 

 186 

These data were used to develop the static liquefied strength boundary line in Fig. 2 (see dashed 187 

green line) between qc1 and static flow failure case histories. This static liquefied strength 188 

susceptibility boundary is proposed instead of the contractive/dilative boundary line (see solid blue 189 

line in Fig. 2) presented in Olson and Stark (2003) for static flow failure assessments. The static 190 

liquefied strength boundary plots to the left of the Olson and Stark (2003) contractive/dilative 191 

boundary because representative values of qc1 in available static flow failure cases plot to the left 192 

of contractive/dilative line. 193 

 194 

To evaluate the potential for static liquefaction, the potential failure surface is divided into 195 

segments based on material type and penetration resistance, e.g., zones of high and low penetration 196 

resistance. If the qc1of a segment plots to the left of the liquefied strength boundary in Fig. 2 (see 197 

dashed green line) or lower than 4 MPa, the segment is susceptible to static liquefaction and should 198 

be assigned a liquefied strength because static conditions, e.g., equipment vibrations, construction 199 

activities, high drilling pressures, etc., may be able to reduce the effective stress sufficiently to 200 

change the soil from a metastable state to a liquefied state.  201 

 202 

The liquefied strength boundary in Fig. 2 was developed using available static liquefaction flow 203 



11 

failure cases that do not involve seismic or vibratory loading. The static case histories plot at or to 204 

the left of the proposed liquefied strength boundary line (see dashed green line), which can be used 205 

as an initial screening tool for digitized qc1 data in a spreadsheet.  206 

 207 

Table 1 presents the static flow failure case histories used to create Fig. 2 including a weighted 208 

average pre-failure vertical effective stress and three values of qc1. In particular, Table 1 presents 209 

values of qc1 that correspond to the best estimate (BE), upper bound (UB), and lower bound (LB) 210 

values of qc1 based on the reported penetration data.  This range in qc1 is used to plot the error bars 211 

in Fig. 2.  212 

 213 

Fines content correction is suggested to be used for experienced engineer when the fines content 214 

is available. The following discusses the calculation procedure for m and normalization of the 215 

cone tip resistance to a clean sand (qc1N-cs) presented by Idriss and Boulanger (2009): 216 

 217 

  𝑚 = 1.338 − 0.249(𝑞𝑐1𝑁)0.264       (3) 218 

 219 

The equation above for “m” is available when qc1N is limited to values between 21 and 254 atm in 220 

Boulanger and Idriss (2009). The value of qc1N is qc1 normalized by atmospheric pressure (101 kPa) 221 

as shown below by Roberson and Wride (1998) using the following equation: 222 

 223 

𝑞𝑐1𝑁 =
𝑞𝑐1

𝑃𝑎
               (4) 224 

 225 

Table 2 presents the static flow failure case histories in Table 1 with a fines content correction 226 
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that are used to create Fig. 3. The best estimate values of qc1 in Table 1 is used to calculate the 227 

clean sand normalized cone penetration resistance (qc1N-cs) using the following fines content, i.e., 228 

percent passing No. 200 sieve, correction:  229 

 230 

qc1N−cs = 𝑞𝑐1𝑁 + ∆𝑞𝑐1𝑁         (5) 231 

 232 

where the fines adjustment factor, ∆𝑞𝑐1𝑁, is a function of the fines content (FC) as shown below: 233 

 234 

∆𝑞𝑐1𝑁 = (11.9 +
𝑞𝑐1𝑁

14.6
) exp (1.63 −

9.7

𝐹𝐶+2 
− (

15.7

𝐹𝐶+2
)

2

)     (6) 235 

 236 

Fig. 3 presents CPT based static flow failures using the 𝜎𝑣𝑜
′  and qc1N-cs. The proposed average 237 

static liquefied strength susceptibility boundary in Fig. 3 can be modeled using the following 238 

expression: 239 

 240 

           𝜎𝑣
′ =  0.02 × 𝑞𝑐1𝑁−𝑐𝑠

2 + 0.2715 × 𝑞𝑐1𝑁−𝑐𝑠 − 28    (7) 241 

  242 

If qc1N-cs plots to the left of the liquefied strength boundary line (see dashed dark green line in Fig. 243 

3), the zone has a potential to undergo static liquefaction. Therefore, these segments should be 244 

assigned a liquefied strength because equipment vibration, construction activities, high drilling 245 

pressures, etc. may be able to reduce the effective stress sufficiently to change the soil from a 246 

metastable state to a liquefied state. If the soil plots to the right of the dashed green line, it initially 247 

can be considered non-liquefiable, but the designer should proceed to Step #2 of the five-step flow 248 

failure procedure.  249 
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 250 

The use of three values of qc1 in Table 1 allows a range of penetration resistance to be used in 251 

developing the boundary lines shown in Fig. 4. Table 3 presents data for the flow failure case 252 

histories analyzed by Olson and Stark (2003) with a weighted average  𝜎𝑣𝑜
′  and qc1 that were used 253 

to create Fig. 4. Table 4 and Table 5 present data for additional flow failure case histories analyzed 254 

herein and analyzed by Muhamad (2012), which are included in  Fig. 4. In particular, Fig. 4 255 

presents the static liquefied strength boundary from Fig. 2, Olson and Stark (2003) 256 

contractive/dilative boundary, and a new seismic liquefied strength boundary. For comparison 257 

purposes, Fig. 4 also presents the contractive/dilative boundaries proposed by Sladen and Hewitt 258 

(1989) and Robertson (2010). 259 

 260 

Table 6 summarizes all of the data used to develop the correlation between peak ground 261 

acceleration (PGA), qc1N-cs, and effective normal stress shown in Fig. 5. The effective vertical 262 

stress ( 𝜎𝑣
′) and liquefied strength in Table 6 are from Weber (2015) and update the values of 263 

liquefied strength presented in Table 3 as discussed in Step # 4 of the flow failure procedure below. 264 

Therefore, the case histories summarized in these six tables present the entire database used herein 265 

to develop the flow failure assessment procedure for dams, embankments, and slopes so readers 266 

can review the cases. 267 

 268 

LIQUEFACTION TRIGGERING ANALYSIS 269 

The second of the five steps in assessing the flow potential of dams, embankments, and slopes 270 

involves  performing a liquefaction triggering analysis to determine if a liquefied strength should 271 

be applied to a segment(s) of the potential failure surface due to ground shaking. An inverse 272 
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analysis of thirty-eight liquefaction flow failures, i.e., thirty-one case histories presented in Olson 273 

and Stark (2003) and seven case histories analyzed herein, was conducted to relate qc1 to field 274 

situations where a liquefied strength was mobilized due to ground shaking. Static and low-level 275 

shaking flow failures are included because Points A and A’ in Fig. 1 can be close together. As a 276 

result, the yield strength and yield strength ratio obtained for an inverse analysis using the pre-277 

failure geometry corresponds to the yield strength envelope.  278 

 279 

Fig. 4 presents boundary lines between qc1 and static or seismic flow failure case histories. This 280 

plot presents a seismic liquefied strength susceptibility boundary (see solid black line) that is to 281 

the right of the static liquefied strength boundary presented in Fig. 2 as a dashed green line and to 282 

the right of the contractive/dilative boundary line (see solid blue line) from Olson and Stark (2003). 283 

Recent case histories plotted in Fig. 4 again show the contractive/dilative boundary line in Olson 284 

and Stark (2003) is unconservative. The contractive/dilative boundary was drawn primarily using 285 

the mean values of qc1 for a given case history instead of the upper bound of the data range. As a 286 

result, some of the recent case histories plot to the right of the contractive/dilative boundary line 287 

now making it unconservative.  288 

 289 

The proposed liquefied strength susceptibility boundary (see solid black line in Fig. 4) represents 290 

the upper bound of current flow case histories and adequately explains recent flow failures. As 291 

additional case histories become available, the proposed seismic and static liquefied strength 292 

susceptibility boundaries in Fig. 4 will be adjusted to ensure a conservative approach because of 293 

the large consequences of a flow failure. The proposed seismic liquefied strength susceptibility 294 

boundary in Fig. 4 can be modeled using the following expression: 295 



15 

 296 

 𝜎𝑣
′ =  3.01 × 10−7 × 𝑞𝑐1

8.796       (8) 297 

 298 

where 𝜎𝑣
′  and 𝑞𝑐1 have units of kPa and MPa, respectively. 299 

 300 

This paragraph uses the Fundão tailings dam failure to demonstrate this step of the flow potential 301 

assessment procedure, which is described in detail by Stark et al. (2023). The plateau area in the 302 

left abutment setback of the Fundão tailings dam was estimated not to mobilize a liquefied strength 303 

based on site response analyses and available qc1 data by Stark et al. (2023) because it plots outside 304 

the new boundary (see open blue square data point in Fig. 4). If the shaking induced by the three 305 

earthquakes that occurred in the left abutment of Fundão tailings dam on the day of failure were 306 

stronger, the plateau in the left abutment setback might have developed sufficient shear-induced 307 

pore-water pressures to mobilize a liquefied strength because the open blue square data point plots 308 

just outside of the seismic liquefied strength susceptibility boundary in Fig. 4. Conversely, the left 309 

abutment downstream slope and toe areas plot inside the new boundary (see open green diamond 310 

and  open light blue triangle data points in Fig. 4) so these two areas were assigned a liquefied 311 

strength based on site response analyses and available qc1 data by Stark et al. (2023) in the post-312 

triggering stability analysis. 313 

 314 

Some other researchers (Boulanger and Idriss, 2014; Poulsen et al, 2012, 2013) have shown excess 315 

pore-water pressure generation can occur even when the cone tip resistance is greater than 9 MPa. 316 

For example, Poulsen et al. (2012, 2013) show that a total cone tip resistance (qt) of 9 MPa at 317 

depths from 4.5 to 11 m can still generate positive excess pore-water pressure that can lead to 318 
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mobilization of a liquefied strength condition. The value of qt is calculated by subtracting the pre-319 

failure total vertical stress (vo) from qc or qt = qc - vo. 320 

 321 

Many cases with qc1 of 12 MPa or greater from Boulanger and Idriss (2014) liquefied during large 322 

ground motions. As a result, significant pore-water pressures may still be generated at field 323 

conditions that plot to the right of the boundary line because Boulanger and Idriss (2014) show a 324 

𝑞𝑐1 greater than 15 MPa is, i.e., qc1N-cs~160, required before liquefaction is not triggered by seismic 325 

loading.  326 

  327 

Robertson (2010) also suggests a liquefied strength boundary based on a normalized total cone 328 

penetration parameter with fine content correction (Qtn,cs). Robertson (2010) suggests 𝑄𝑡𝑛,𝑐𝑠  ≤ 70 329 

as the boundary between assigning liquefied and non-liquefied strengths. However, Robertson 330 

(2010) also mentions there are several flow failures in Olson and Stark (2003) that show 𝑄𝑡𝑛,𝑐𝑠 331 

greater than 70. As a result, Robertson (2021) suggests tailings sand with bonding can liquefy with 332 

𝑄𝑡𝑛,𝑐𝑠 greater than 70. The value of 𝑄𝑡𝑛,𝑐𝑠 = 70 was converted to qc1 using a soil behavior index 333 

of 𝐼𝑐 = 1.64 because the empirical correlation in Olson and Stark (2003) uses qc1. The values of 334 

qc1 were calculated using 𝑄𝑡𝑛,𝑐𝑠 = 70  and different values of  𝜎𝑣𝑜
′  and they plot to the right of the 335 

Olson and Stark (2003) contractive/dilative boundary line but considerably to the left of the 336 

proposed liquefied strength boundary line (see solid black line in Fig. 4). More importantly, some 337 

of the flow failure cases in Fig. 4 plot near the qc1 boundary line (see black solid line) so this 338 

boundary may not capture all future cases but it captures more field case histories than the 339 

contractive/dilative boundary proposed by Olson and Stark (2003).  340 

 341 
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After qc1 is corrected for fines content (% passing No. 200 sieve), the proposed liquefied strength 342 

susceptibility boundary represents the mean qc1N-cs value from current flow case histories at 343 

different levels of shaking and is shown in Fig. 5. The square (magenta) data points correspond to 344 

the static flow failure case shown in Fig. 4, while the dots, diamonds, and open circle data points 345 

correspond to the flow failure cases at PGA < 0.2g , 0.2 < PGA <0.4g and PGA > 0.4g, 346 

respectively.  347 

 348 

Fig. 5 shows as the PGA increases, some soil with high values of qc1N-cs can still experience flow 349 

failure. The dashed red line in Fig. 5 represents the probability of liquefaction occurring when 350 

PGA < 0.2g. The dash-dot blue line shows a possible liquefiable triggering line at medium shaking 351 

level (0.2g < PGA < 0.4g). The three short and long dashed green line is a liquefiable triggering 352 

line at high ground shaking (0.4g < PGA). For comparison purposes, Fig. 5 also presents the static 353 

liquefaction boundary from Fig. 4 (see dashed green line).  A data point plotting to the left of one 354 

of the potential liquefiable or liquefied strength trend lines has a high probability of mobilizing a 355 

liquefied strength. A data point plotting to the right side of one of the potential liquefiable or 356 

liquefied strength trend lines has a low probability of mobilizing a liquefied strength but could still 357 

liquefy if a ground motion stronger than the associated PGA impacts the site. Some uncertainties 358 

also might shift the boundary line to the right, such as, a higher shaking level, high initial shear 359 

stress in slope, soil with uniform gradation, etc. Therefore, there is no defined qc1N-cs threshold 360 

beyond which no flow failure could/would occur under seismic/dynamic loading.  361 

 362 

Engineers should consider the local ground motion level to design the structure. However, some 363 

of the segments along the observed failure surface in the case histories used in Fig. 5 may have 364 
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experienced localized liquefaction and mobilization of liquefied strength but did not experience 365 

global or flow failure. For example, segments along a sloped area with a low density have a higher 366 

static shear stress ratio, which are more susceptible to liquefaction and/or mobilizing a liquefied 367 

strength ratio under low shaking. Conversely, there are segments near the base of the dam or 368 

embankment that are subjected to high normal stresses and may experience some horizontal 369 

displacement but not liquefication and/or mobilization of a liquefied strength even under a seismic 370 

event. In other words, there may be localized deformations or pore-water pressure generation but 371 

not liquefaction or mobilization of a liquefied strength over a large area such that global flow 372 

failure does not occur.  373 

 374 

Fig. 4 and Fig. 5 provide an update of contractive/dilative boundary proposed by Olson and Stark 375 

(2003), which has been widely adopted by engineers and practitioners. The liquefaction triggering 376 

analysis should be performed following the procedure of Boulanger and Idriss (2014) to estimate 377 

the FoSLiquefaction, i.e., CRR divided by the CSR. If liquefaction is triggered in a soil segment 378 

along a potential failure surface, i.e., FoSLiquefaction is less than unity (1.0), a liquefied shear 379 

strength should be applied to that segment. The FoSLiquefaction is also used in Step #3 of the 380 

proposed five-step flow failure procedure to estimate the magnitude of shear-induced pore-water 381 

pressures generated if liquefaction is not triggered in Step #2 so FoSLiquefaction need to be calculated 382 

at this point in the five-step procedure.  383 

 384 

The FoSLiquefaction is calculated by following the method proposed by Boulanger and Idriss 385 

(2014). The CSR computed for a specific earthquake magnitude (moment magnitude, M) and 386 

𝜎𝑣
′ , 𝐶𝑆𝑅𝑀, 𝜎𝑣

′ , is estimated using the maximum horizontal shear stress, h,max, obtained from a site 387 
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response analysis as outlined by Idriss and Boulanger (2008) or from ground surface accelerations: 388 

 389 

max
max' '

0.65* 0.65* * *vc
M d

vc vc

CSR a r
 

 
= =       (9) 390 

 391 

where amax is the maximum ground surface acceleration, and rd is a shear stress reduction 392 

coefficient as outlined by Idriss and Boulanger (2008). If the bedrock ground motion is used, a site 393 

response analysis should be performed to estimate the value of h,max. at a particular depth. 394 

  395 

Boulanger and Idriss (2014) shows FoSLiq can be estimated for sloping ground using the 396 

following expression: 397 

 398 

𝐹𝑜𝑆𝐿𝑖𝑞𝑢𝑒𝑓𝑎𝑐𝑡𝑖𝑜𝑛 =
𝐶𝑅𝑅

𝑀,𝜎𝑣
′

𝐶𝑆𝑅
𝑀, 𝜎𝑣

′
=  

𝐶𝑅𝑅
𝑀=7.5,𝜎𝑣

′ =1𝑎𝑡𝑚
× 𝑀𝑆𝐹 × 𝐾𝜎× 𝐾𝛼

𝐶𝑆𝑅
𝑀, 𝜎𝑣

′
     (10) 399 

 400 

Where, 𝐶𝑅𝑅𝑀=7.5,𝜎𝑣
′=1𝑎𝑡𝑚 is the CRR values adjusted to a reference M = 7.5 and 𝜎𝑣

′  = 1 atm and 401 

expressed as a function of 𝑞𝑐1𝑁−𝑐𝑠:  402 

 403 

𝐶𝑅𝑅𝑀=7.5,𝜎𝑣
′=1𝑎𝑡𝑚 = exp (

𝑞𝑐1𝑁−𝑐𝑠

113
+ (

𝑞𝑐1𝑁−𝑐𝑠

1000
)

2

− (
𝑞𝑐1𝑁−𝑐𝑠

140
)

3

+ (
𝑞𝑐1𝑁−𝑐𝑠

137
)

4

− 2.8) (11) 404 

 405 

MSF is the earthquake magnitude scaling factor, 𝐾𝜎 is the overburden stress adjustment factor, 406 

and 𝐾𝛼 is the sloping ground adjustment factor. Detailed explanation of these factors is provided 407 

in Boulanger and Idriss (2014).  408 

 409 



20 

 410 

PORE-WATER PRESSURE GENERATION ANALYSIS 411 

The third of the five steps in assessing the flow potential of dams, embankments, and slopes 412 

involves calculating the magnitude of shear-induced pore-water pressures generated, if 413 

liquefaction is not triggered in Step #2. This step was added based on the analysis of the three 414 

earthquakes that occurred shortly before the Fundão tailings dam flow failure and one earthquake 415 

before the Palu flow failure (Hidayat et al., 2020 and Mason et al., 2021). The following paragraphs 416 

describe how to estimate the shear-induced pore-water pressures, which are used to determine if a 417 

liquefied strength is mobilized and if not, the pore-water pressures are included in the post-418 

triggering analysis. If the shear-induced pore-water pressures are sufficient to move the stress 419 

conditions to the left of the critical state locus in (q–p) space, a liquefied strength is applied to that 420 

segment(s) of the potential failure surface in the post-triggering stability analysis. 421 

 422 

The shear strength of a soil is expressed using the following expression:  423 

 424 

 = c’ + (v - u)*tan(’) = c’ + ('v)*tan(’)      (13) 425 

 426 

where  is the soil shear strength mobilized on the failure surface, c’ is effective stress cohesion, 427 

v is the pre-failure total vertical stress, i.e., soil*hsoil, soil is the saturated soil unit weight below 428 

the groundwater level and total unit weight above the groundwater level, hsoil is the depth below 429 

the ground surface for each unit weight, u is the sum of hydrostatic and shear induced pore-water 430 

pressure, 'v is the effective vertical stress, and ’ is the effective stress friction angle of the 431 

embankment material.  432 
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 433 

The value of total excess pore-water pressure, i.e., hydrostatic plus dynamic, should be used to 434 

estimate 'v in the post-triggering/flow failure analyses described below. Therefore, shear-induced 435 

pore-water pressures and the corresponding value of 'v has a large influence on the shear strength 436 

of materials along a potential failure surface even if the segment does not liquefy. This explains 437 

why the generation of pore-water pressures during an earthquake, other vibratory events, or drilling 438 

pressures are important to overall stability because the higher the pore-water pressure ratio, i.e., 439 

the lower 'v, the more likely a liquefied strength condition can develop.  440 

 441 

Using the liquefaction assessment procedure in Boulanger and Idriss (2014), the FoSLiquefaction  is 442 

calculated and then used to estimate the shear-induced pore-water pressures. In general, if the 443 

FoSLiquefaction  is less than 2.5, excess pore-water pressures can be generated in loose, saturated 444 

cohesionless materials, e.g., loose non-plastic silt, silty sand, clean sands and/or sandy tailings. 445 

Values of FoSLiquefaction  can be used to estimate the level of excess pore-water pressure induced by 446 

each earthquake or vibratory event using the FoSLiquefaction and sand relationships shown in Fig. 6. 447 

The resulting values of seismic pore-water pressure ratio, ru,seismic, correspond to: 448 

 449 

 𝑟𝑢,𝑠𝑒𝑖𝑠𝑚𝑖𝑐 = (
𝑢𝑑𝑦𝑛𝑎𝑚𝑖𝑐

𝜎𝑣0
′ )        (14) 450 

 451 

where udynamic is the excess pore-water pressure induced by shaking or other vibratory event and 452 

𝜎𝑣0
′  is the initial effective vertical stress before shaking (Marcuson et al., 1990). Therefore, the 453 

definition of 𝑟𝑢,𝑠𝑒𝑖𝑠𝑚𝑖𝑐 is slightly different than the hydrostatic pore-water pressure ratio, which is:  454 

 455 
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𝑟𝑢,𝑠𝑡𝑎𝑡𝑖𝑐 = (
𝑢𝑠𝑡𝑎𝑡𝑖𝑐

𝜎𝑣
)         (15) 456 

 457 

where ustatic is the hydrostatic pore-water pressure and v is total vertical stress, i.e., soil*hsoil, of 458 

the overlying soill before shaking not 𝜎𝑣0
′ . As a result, 𝑟𝑢,𝑠𝑒𝑖𝑠𝑚𝑖𝑐  has to be converted to the 459 

hydrostatic framework to be added to 𝑟𝑢,𝑠𝑡𝑎𝑡𝑖𝑐  to calculate the total pore-water pressure ratio, 460 

𝑟𝑢,𝑡𝑜𝑡𝑎𝑙 for estimating the effective vertical stress after the dynamic event. Converting 𝑟𝑢,𝑠𝑒𝑖𝑠𝑚𝑖𝑐 to 461 

𝑟𝑢,𝑠𝑡𝑎𝑡𝑖𝑐 also facilitates the use of 𝑟𝑢,𝑡𝑜𝑡𝑎𝑙 in post-triggering stability analyses because existing limit 462 

equilibrium slope stability software utilizes 𝑟𝑢,𝑠𝑡𝑎𝑡𝑖𝑐 not 𝑟𝑢,𝑠𝑒𝑖𝑠𝑚𝑖𝑐.  463 

𝑟𝑢,𝑠𝑡𝑎𝑡𝑖𝑐=𝑟𝑢,𝑠𝑒𝑖𝑠𝑚𝑖𝑐 ×
𝜎𝑣0
′

𝜎𝑣0
          (16) 464 

 465 

The shear-induced pore-water pressure relationships shown in Fig. 6 were derived from Tokimatsu 466 

and Yoshimi (1983), Seed et al. (1976), and Marcuson et al. (1990). The upper bound of the 467 

Tokimatsu and Yoshimi (1983) relationship is shown in Fig. 6 and is significantly higher than the 468 

sand upper bound from Marcuson et al. (1990) because Marcuson et al.(1990) measured the pore-469 

water pressure after shaking not during shaking. The upper bound Tokimatsu and Yoshimi (1983) 470 

relationship was derived using the following expression: 471 

 472 

         𝑟𝑢,𝑠𝑒𝑖𝑠𝑚𝑖𝑐 = 0.5 +
𝑠𝑖𝑛−1(2∗𝐹

𝐿𝑖𝑞

1
𝛼𝛽

−1)

𝜋
                                                                                   (17) 473 

 474 

where representative values of  and  are unity (1) and -0.1 to -0.5, respectively. Fig. 6 shows 475 

the relationships for  of unity (1) and  of -0.5 and -0.3 both of which exceed the Marcuson et al. 476 
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(1990) range. Seed et al. (1976) present a similar relationship for ru,seismic, which is shown below: 477 

 478 

𝑟𝑢,𝑠𝑒𝑖𝑠𝑚𝑖𝑐 = 0.5 + 𝑠𝑖𝑛−1(2 ∗ 𝑟𝑁

1

𝛼 − 1)/𝜋                                                                     (18) 479 

 480 

where rN is the ratio of the number of earthquake cycles to cause a pore-water pressure ratio of 481 

unity (1.0), i.e., liquefaction, and  is an empirical constant with a value around unity. The 482 

importance of this discussion is the sand relationship proposed by Marcuson et al. (1990) were 483 

derived from established relationships and are in better agreement with the Tokimatsu and Yoshimi 484 

(1983) relationships. The relationships shown in Fig. 6 also may be applicable to other dynamic 485 

sources, such as, equipment vibrations, construction activities, drilling, and blasting, for estimating 486 

shear-induced pore-water pressures and thus are recommended herein. 487 

 488 

The dataset used by Tokimatsu and Yoshimi (1983) to develop their relationships in Fig. 6 include 489 

water retaining structures and tailings dams so it is reasonable to apply it to similar structures. In 490 

summary, the upper bound of the Marcuson et al. (1990) sand relationship in Fig. 6 is close to  = 491 

-0.2 in the Tokimatsu and Yoshimi (1983) correlation and the lower bound of the Marcuson et al. 492 

(1990) is close to  = -0.1 in the Tokimatsu and Yoshimi (1983) correlation. The value of  for 493 

most soils is between -0.5 and -0.1 in Tokimatsu and Yoshimi (1983). Therefore, the upper bound 494 

Marcuson et al. (1990) relationship in Fig. 6 is recommended to assess the value of ru,seismic for 495 

zones that do not trigger liquefaction in Step #2 of the five steps flow failure procedure. The 496 

resulting shear-induced pore-water pressures are used to estimate the effective vertical stress along 497 

a segment of a potential failure surface. If possible, these shear-induced pore-water pressures 498 

should be confirmed by numerical methods that have constitutive models that can estimate pore-499 
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water pressure generation due to small to medium shaking/vibratory events.  500 

 501 

 502 

ASSIGNING LIQUEFIED AND YIELD STRENGTHS 503 

The fourth of the five steps in assessing the flow potential of dams, embankments, and slopes 504 

involves assigning a liquefied strength to failure surface segment(s) that trigger liquefaction or 505 

significant pore-water pressure generation. Therefore, it should not be assumed that an unknown 506 

trigger will occur the liquefaction and segments of the potential failure surface should be 507 

automatically assigned a liquefied shear strength for a post-triggering/flow failure stability analysis. 508 

In other words, it is not necessary to evaluate the stability of the structure using liquefied shear 509 

strengths after assuming the soil is liquefied by an unknown trigger. This is important because a 510 

liquefied strength is about one-third of the peak undrained strength, which means applying a liquefied 511 

strength results in a post-triggering or flow factor of safety (FoSFlow) significantly below the triggering 512 

factory of safety (FoSTriggering). If engineers were to design assuming an unknown trigger, it would 513 

result in values of FoSFlow well below unity in many, if not all, existing upstream raised tailings dam 514 

even though they are still stable. In other words, assuming an unknown trigger would require 515 

retrofitting thousands of upstream raised tailings dam and most likely many centerlines raised tailings 516 

dam even though they are stable. 517 

 518 

Stark et al. (2012) shows the 𝑟𝑢,𝑠𝑒𝑖𝑠𝑚𝑖𝑐 relationship from 0.7 to 1.0 in Fig. 6 is nearly vertical at 519 

the same FoSLiquefaction, which resulted in selecting a value of 𝑟𝑢,𝑡𝑜𝑡𝑎𝑙 of 0.7 being the criterion for 520 

applying a liquefied strength. Segments along the potential failure surface that: (1) are identified 521 

as susceptible to static liquefaction using Fig. 2, (2) exhibit a FoSLiquefaction  < unity (1.0), (3) 522 
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experience an 𝑟𝑢,𝑡𝑜𝑡𝑎𝑙 large enough to reduce the average effective normal stress of the area to the 523 

critical state locus in (q–p) space, and/or (4) have a value of 𝑟𝑢,𝑡𝑜𝑡𝑎𝑙 greater than or equal to 0.7 524 

based on Stark et al. (2012) should be assigned a liquefied strength or liquefied strength ratio.  525 

 526 

Fig. 7 shows the relationship between the liquefied strength ratio and qc1 without fines content 527 

correction and Fig. 8 shows the relationship between the liquefied strength ratio and qc1N-cs with 528 

fines content correction. When the fines content is available, Fig. 8 is suggested to be used for 529 

experienced engineer. The values of qc1, qc1N-cs, effective normal stress, and undrained liquefied 530 

strength (Su,Liq) used to develop correlations in Fig. 7 and Fig. 8 are summarized in Table 6. The 531 

following expression can be used to represent the average trend line in Fig. 7, which includes a 532 

wider range of qc1 than a similar relationship in Olson and Stark (2003).  533 

 534 

𝑆𝑢 (𝐿𝐼𝑄)

𝜎𝑣
′ = 0.03 + 0.0143 (𝑞𝑐1) ± 0.03, 𝑞𝑐1 < 10 𝑀𝑃𝑎    (19) 535 

 536 

The effective vertical stress 𝜎𝑣
′  in Eqn. (19) is the pre-failure effective vertical stress without 537 

including the excess or shear-induced pore water pressures from vibratory events. The trend line 538 

from Robertson (2010) in Fig. 7 shows a quicker increase in liquefied strength ratio for values of 539 

qc1 greater than 5 MPa than the average trend line, which could overpredict the liquefied shear 540 

strength. Additional case histories collected by Hazarika et al. (2020) fall within the upper and 541 

lower boundaries proposed by Olson and Stark (2002) and are shown in Fig. 7.  542 

 543 

The liquefied strength ratio can be also assessed using equations proposed by Idriss and Boulanger 544 

(2015) with an upper bound of drained shear strength ratio, i.e., tan 𝜙′. For the case where void 545 
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redistribution is expected to be significant, the relationship can be approximated as follows (see 546 

black dashed line in Fig. 8):  547 

 548 

𝑆𝑢 (𝐿𝐼𝑄)

𝜎𝑣
′ = exp (

𝑞𝑐1𝑁−𝑐𝑠

24.5
− (

𝑞𝑐1𝑁−𝑐𝑠

61.7
)

2

+ (
𝑞𝑐1𝑁−𝑐𝑠

106
)

3

− 4.42) ≤ tan 𝜙′    (20) 549 

 550 

For the case where void redistribution is expected to be negligible, the relationship can be 551 

approximated as follows (see red dashed line in Fig. 8): 552 

 553 

𝑆𝑢 (𝐿𝐼𝑄)

𝜎𝑣
′ = exp (

𝑞𝑐1𝑁−𝑐𝑠

24.5
− (

𝑞𝑐1𝑁−𝑐𝑠

61.7
)

2

+ (
𝑞𝑐1𝑁−𝑐𝑠

106
)

3

− 4.42) × (1 + exp (
𝑞𝑐1𝑁−𝑐𝑠

11.1
− 9.82)) ≤ tan 𝜙′  554 

                                                                                                                                          (21) 555 

 556 

Segments along the potential failure surface that are not assigned liquefied strengths should be 557 

assigned a yield strength ratio using Fig. 9 in the post-triggering stability analysis. It should be 558 

noted that the value of effective normal stress for the yield strength ratio should be determined by 559 

subtracting the estimated shear-induced pore water pressures in step #3 from the initial condition. 560 

Only the static case histories from Olson and Stark (2003) and Muhammad (2012) were 561 

reanalyzed herein to estimate the mobilized yield strength and yield strength ratio. This is to 562 

exclude the effect of cyclic softening caused by dynamic loading. This reanalysis shows the Olson 563 

and Stark (2003) upper and lower bound trend lines for yield strength are in agreement with the 564 

field case histories analyzed herein and are shown in Fig. 9. Detailed explanation for how the 565 

mobilized yield strength and yield strength ratio were estimated is provided in Olson and Stark 566 

(2003) and Muhammad (2012).  567 

 568 
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 569 

POST-TRIGGERING STABILITY ANALYSIS 570 

The fifth and final of the five steps in assessing the flow potential of dams, embankments, and 571 

slopes involves conducting a post-triggering/flow failure stability analysis. The post-triggering 572 

stability analysis must analyze noncircular and/or compound failure surfaces, i.e., not circular 573 

failure surfaces, that vary considerably in depth and location within the segment(s) of liquefiable 574 

soil and/or soil that will generate significant shear- or drilling-induced pore-water pressures. If the 575 

noncircular and/or compound failure surfaces cross segment(s) of soil that will generate significant 576 

pore-water pressures and/or liquefy at about the same location and depth, it is recommended that 577 

one or two additional potential failure surfaces that cross these soils at different depths be 578 

analyzed to locate the critical failure surface.  579 

 580 

If the FoSLiquefaction <1 or ru,total >0.7 in a segment of a potential failure surface, the corresponding 581 

segment should be assigned a liquefied strength. If FoSLiquefaction is between 1.0 and 1.1 or ru,total  < 582 

0.7, the segment should be assigned with a yield strength or drained friction angle with the 583 

generated shear-induced pore water pressure. With these segments assigned a liquefied strength or 584 

drained strength with the shear-induced pore water pressures, the FoS against flow failure 585 

(FoSFlow), which is total shear resistance/total driving force, should be calculated.  586 

 587 

The FoSFlow assessment criteria follow the recommendations in Olson and Stark (2003). If the 588 

FoSFlow is between unity and about 1.1, some deformation is likely, and segments of the failure 589 

surface with marginal values of FoSLiquefaction, i.e., less than about 1.1, should be assigned a 590 

liquefied shear strength due to the potential for additional shear deformation. The post-triggering 591 
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stability analysis should be repeated with the marginal segment(s) being assigned a liquefied shear 592 

strength to determine a new FoSFlow. This accounts for the potential of deformation-induced 593 

liquefaction and progressive failure of the structure in segments with FoSLiquefaction, i.e., less than 594 

or about 1.1. The minimum FoSFlow will be calculated when liquefaction is triggered in all 595 

segments that can generate significant pore-water pressures and are assigned liquefied shear 596 

strengths at step #4 for the flow failure stability analysis. This condition can be analyzed to 597 

determine the worst-case value of FoSFlow in terms of post-triggering stability analysis and to 598 

aid judgments regarding the need for redesign or remediation. In general, if the FoSLiquefaction is 599 

below 1.2 to 1.3, applying a liquefied strength to segments of a potential failure surface will 600 

usually result in a significant reduction in FoSFlow. If the FoSFlow is between 1.1 and 1.3, calculate 601 

permanent deformations using empirical or numerical methods and assess whether they are 602 

tolerable. If the FoSFlow is greater than 1.3, no action is required. These criteria are considered 603 

reasonable for the evaluation of many liquefaction cases, but further consideration may be needed 604 

for large or high consequence structures. 605 

 606 

 607 

UNCERTAINTY IN APPLYING THE SUGGESTED PROCEDURE 608 

This section discusses the uncertainty associated with applying the new five-step flow failure 609 

assessment procedure. The uncertainty in this procedure comes mainly from the following six 610 

sources: (1) poor measurement of cone penetration tip resistance due to equipment or calibration 611 

issues; (2) some of the cone penetration tip resistance values were derived from standard penetration 612 

test blow counts using the conversion in Stark and Olson (1995); (3) delineating zones of potential 613 

liquefaction; (4) variation of noncircular and compound failure surfaces through the liquefied zone; 614 



29 

(5) shear strength of non-liquefied soil along the potential failure surface; and (6) uncertainty related 615 

to the location of the phreatic surface and soil unit weights.   616 

 617 

For Fig. 2 and Fig. 3, chemical bonding within the tailings dam material can induce a high 618 

measurement of cone tip resistance data (Robertson, 2010, 2021) but the material can still liquefy 619 

with sufficient external loading or human activity on the dam . The liquefied soil propagation zone 620 

and spatial uncertainty are not fully quantified herein because of the sparse amount of cone penetration 621 

test data available in most of  the field case histories. To reduce some of the uncertainties mentioned 622 

above, more cone penetration data should be obtained to better define the liquefied zone and 623 

remediation methods suggested to reduce the flow failure potential of the dam. 624 

 625 

For Fig. 4 and Fig. 5, intense ground motion could cause significant seismic shear stress or generate 626 

significant pore water pressure which might cause some data points to plot outside of the current 627 

upper bound of the liquefied strength boundary. Variations in the reduction of liquefied strength at 628 

the bases or toes of failure surfaces that enter bodies of water or that travel outward into areas occupied 629 

by weak sediments contribute to analysis uncertainties. The assigned liquefied strength also has some 630 

uncertainty in Fig. 7 and Fig. 8 because some cases show a liquefied strength that is outside the 631 

current suggested boundary line (see black dashed circles in the bottom right of Fig. 7 and Fig. 8).  632 

 633 

The converted CPT data from SPT blow counts using the conversion in Stark and Olson (1995) also 634 

induces some uncertainty. Many case histories included in this study only have SPT data available 635 

and thus were converted to CPT data. The proposed conversion method shows agreement with 636 

measured data but some of the cases show the converted CPT data have more than a 10% difference 637 
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from the measured data. The uncertainty within this CPT data might cause an increment of uncertainty 638 

in the liquefied strength boundary used in Fig. 2, Fig. 3, Fig. 4, and Fig. 5. As a result, the predicted 639 

liquefied strength may have a 10% or more difference in Fig. 7 and Fig. 8 due to the conversion 640 

of SPT data to CPT tip resistance. 641 

 642 

The phreatic surface and the failure surface passing through the liquefied material is defined based 643 

on engineering judgment to simulate the actual post-failure slope surface in various inverse 644 

analyses. For example, Olson and Stark (2003), Muhammad (2012), and Weber (2015) use slightly 645 

different failure surfaces in some case histories which induces some uncertainty in the resulting 646 

empirical correlation. The typical unit weight of soil varies less than 10% from the measured data 647 

but also introduces additional uncertainty into the analysis. 648 

 649 

To quantify this uncertainty, Duncan (2000) proposes a method to calculate the probability of 650 

failure (Pf) and/or the reliability of the computed FoS based on the Most likely Values (MLV) of 651 

the design input parameters. The main uncertainty in the new flow failure assessment procedure 652 

comes from the six different design input parameters described above. Therefore, for each of these 653 

input parameters, values of standard deviation (σ) and its corresponding FoS should be calculated 654 

to estimate Pf for a specific slope as outlined by Idries and Stark (2024). Nevertheless, the 655 

quantification of the uncertainty in design input parameters for the new flow failure assessment 656 

procedure is outside the scope of this paper but is the topic of a future publication. 657 

  658 

EXAMPLE #1 – UPPER SAN FERNANDO DAM 659 

This section demonstrates application of the five steps procedure for assessing the flow potential 660 
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of dams, embankments, and slopes described above using the liquefaction-induced permanent 661 

deformations of Upper San Fernando Dam (USFD) during the 1971 San Fernando earthquake. On 662 

February 9, 1971, the San Fernando earthquake (Mw=6.1) with a peak acceleration of 0.55g to 663 

0.60g caused USFD in the San Fernando Valley, California to experience small to moderate 664 

downstream liquefaction-induced deformations. The USFD case history is used because the 665 

localized liquefaction and/or pore-water pressure generation did not result in a flow failure, so this 666 

assessment is somewhat of a forward analysis, instead of an inverse analysis of a flow failure, to 667 

illustrate the application of this flow failure procedure. 668 

 669 

This assessment focuses on pore-water pressure generation during the 1971 earthquake that 670 

occurred shortly before the observed permanent deformations. The recorded increases in 671 

piezometric level due to the earthquake shaking are shown in Fig. 10. These piezometer data were 672 

used to locate the phreatic surface before the earthquake and provide an estimate of the hydrostatic 673 

and earthquake-induced pore-water pressures for the flow failure assessment. As Fig. 10 shows a 674 

substantial amount of excess pore-water pressure was generated especially in the upstream 675 

hydraulic fill (Zone P1) and the core area of the dam (Zone P2) such that water overflowed from 676 

the top of these piezometers (Serff et al., 1976). The location of these three piezometers (P1, P2, 677 

and P3) are shown in Fig. 11. The piezometric level in P1 suggests liquefaction of the upstream 678 

hydraulic sand fill. The measured excess pore pressure ratio of the downstream hydraulic sand fill 679 

(P3) after the earthquake is shown in Table 7. 680 

 681 

Fig. 11 presents cross-section B-B’ of USFD located near the center of USFD from Chowdhury et 682 

al. (2018). The estimated failure surface based on field observations and numerical analyses (see 683 



32 

dashed red line in Fig. 11) extends from the upstream hydraulic fill sand, downward through the 684 

clay core, and exits at the downstream toe area (Beaty and Byme, 2001 and Chowdhury et al., 685 

2018). This failure surface is divided into five segments or zones (see Fig. 11) so values of 686 

FoSLiquefaction  for each zone can be calculated using nearby pre-failure Standard Penetration Test 687 

(SPT) results.  688 

 689 

The FoSLiquefaction was calculated for loose hydraulic sand fill zones of the dam using the 690 

liquefaction triggering procedure in Boulanger and Idriss(2014).Table 7 shows the representative 691 

N1,60-cs due to the absence of pre-failure CPT data for each segment selected from Fig. 12, as well 692 

as the calculated FoSLiquefaction. The magnitude of shear-induced pore-water pressure generated 693 

during the ground motion was calculated to determine whether the soil mobilized a yield or liquefied 694 

strength. The FoSLiquefaction  for segments #1, #2, and #4 are less than unity, and thus a liquefied 695 

strength was applied to these segments. However, segment #5 was determined to not mobilize a 696 

liquefied strength because the FoSLiquefaction  is greater than unity, i.e., 1.3, and the stress condition 697 

did not move to the left of the critical state locus in (q–p) space after the reduction in effective 698 

stress due to seismically induced pore pressure measured in P3 (see Fig. 13). The piezometric 699 

ru,seismic value is within the range of Marcuson et al. (1990) sand relationship as shown by red dot 700 

in Fig. 6, which reinforces the use of this shear-induced pore-water pressure relationship. 701 

Therefore, a yield strength was applied to segment 5 in the post-triggering stability analysis.  702 

 703 

To estimate a liquefied shear strength ratio for each hydraulic sand fill segment (#1, #2, and #4), 704 

SPT penetration blow counts were converted to CPT tip resistance using the qc/N60 conversion 705 

proposed by Stark and Olson (1995). The approximate D50, i.e., grain diameter at 50% passing by 706 
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weight, of USFD hydraulic sand fill is assumed to be the same as Lower San Fernando Dam 707 

(LSFD), i.e., 0.12 mm, because the hydraulic fill in both dams is similar (Seed et al., 1973). Using 708 

qc/N60 of 0.41 and normalizing to the atmospheric pressure of 101 kPa results in a representative 709 

qc1N-cs value of 61.3, 68.2, 60.9 for segments #1, #2, and #4, respectively. The converted qc1N-cs 710 

value for segments #1, #2, and #4 show good agreement with the nearby CPT tip resistance (see 711 

CPT 5 and CPT 6 in Fig. 11) reported in Bardet and Davis (1996) (see Fig. 14). Based on the 712 

converted qc1N-cs values and the expression in Eqn. (20), a liquefied shear strength for segments 713 

#1, #2, and #4 were estimated to be 9, 15, and 11 kPa, respectively. A yield strength ratio for 714 

segment 5 is calculated to be 0.3 based on data in Fig. 9.The mobilized yield strength ratio for 715 

segment 3 is 0.22, which is typical for clay (Terzaghi et al., 1996). 716 

 717 

With a strength ratio applied to the five segments along the estimated failure surface shown in 718 

Fig. 11, the resulting FoSFlow is 1.09, so there is potential for liquefaction-induced deformations 719 

and progressive failure of the structure. Therefore, the USFD case history indicates the proposed 720 

five-step procedure gives a reasonable explanation of the small to moderate downstream 721 

liquefaction-induced deformations occurring shortly after the earthquake on February 9, 1971.  722 

 723 

It should be noted that there are some uncertainties related to the application of the five steps 724 

procedure for USFD case history. For example, the estimated ground motion level might be higher 725 

without direct measurement of PGA time history, the measured SPT data might avoid the weak 726 

layer which might cause slight overestimation of the FoSFlow. The conversion of SPT data to CPT 727 

data might also introduce some uncertainties. However, the overall calculated value of FoSFlow = 728 

1.09 matches the actual deformation condition.  729 
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 730 

EXAMPLE #2 – Fundão Tailings dam failure 731 

This case focuses on pore-water pressure accumulation in loose sandy tailings during three (3) 732 

earthquakes within four minutes and the accompanying decrease in effective stress and FoS to 733 

assess the dynamic stability of the Fundão Tailings Dam, which failed on 5 November 2015 in 734 

Fig. 15. The dam experienced three ground motions within 4 minutes. The PGA of the foreshock, 735 

mainshock, and aftershock are 0.06g, 0.08g and 0.06g, respectively. A cross-section of the dam is 736 

shown in Fig. 15. The lowest qc1 for soil profiles on the sand slope, plateau, and toe are 7.5, 10 737 

and 2.5 MPa, respectively. The FoSLiquefaction for the sand slope are 2.08, 1.58 and 2.08 for the 738 

foreshock, mainshock, and aftershock, respectively. Similarly, the FoSLiquefaction for the sand 739 

plateau profile are 2.9, 2.18 and 2.9, respectively. The FoSLiquefaction for the sand toe profile are 1.8, 740 

1.5 and 1.8, respectively. The corresponding pore-water pressure generation during these three 741 

earthquakes are shown in Table 8. With the generated excess pore-water pressures, the SandToe 742 

and SandSlope stress conditions cross the critical state line as shown in Fig. 16. As a result, a 743 

liquefied shear strength was assigned to the SandToe and SandSlope segments of the observed failure 744 

surface in the post-triggering/flow failure stability analysis. The excess pore-water pressures were 745 

included in the SandPlateau profile because this segment did not mobilize liquefied strength, and a 746 

drained friction was applied to this segment (Stark et al., 2023). The observed failure surface with 747 

the strengths described above applied to the SandSlope, SandPlateau, and SandToe profiles yields a 748 

FoSFlow of about unity, which is in agreement with the observed failure. Additional details of this 749 

inverse analysis and case history are presented in Stark et al. (2023). This study is analyzed with 750 

few available CPT data within zone of interest. Some weak zones might not be detected during the 751 

process. The ground motion level is estimated after site failure which also introduces uncertainties 752 



35 

into this case history. 753 

 754 

 755 

 756 

SUMMARY AND RECOMMENDATIONS 757 

A five-strep procedure is proposed to assess whether a liquefied strength or liquefied strength ratio 758 

should be applied to a segment(s) along a potential failure surface in a static or dynamic stability 759 

analysis to assess the flow failure potential of dams, embankments, and slopes. This procedure 760 

consists of the following five main steps to assess the flow failure potential, which no longer 761 

include assessing contractive/dilative shear behavior: (1) assess static liquefied strength potential 762 

of segments along failure surface using Fig. 2 or Fig. 3; (2) assess seismic liquefied strength 763 

potential along a potential failure surface using Fig. 4 or Fig. 5 for a quick estimate and then by 764 

calculating FoSLiquefaction, i.e., ratio of cyclic resistance ratio/cyclic stress ratio, (3) if liquefaction 765 

is not triggered in any of these segments, i.e., FoSLiquefaction greater than unity, assess the magnitude 766 

of shear-induced pore-water pressures due to small seismic or other vibratory events of any 767 

amplitude in each segment using Fig. 6; (4) assign a liquefied strength to zone(s) that experience 768 

seismic liquefaction, i.e., FoSLiquefaction less than unity, significant pore-water pressure generation, 769 

i.e., total (static plus dynamic) pore-water pressure ratio greater than or equal to 0.7 or the updated 770 

stress path pass the critical state line using Fig. 7 or Fig. 8; and (5) conduct a post-triggering 771 

stability analysis to assess flow failure potential. It should be noted that extrapolation beyond the 772 

available case history data set is not recommended in all steps. 773 

 774 

Most flow failures can be prevented by avoiding mobilization of a liquefied strength over a 775 

significant portion of a potential failure surface. This can be evaluated using cone and/or standard 776 



36 

penetration test results, the five-step procedure described above, and proper assessment of possible 777 

seismic, vibratory, construction, and drilling events. If a dam is estimated to be susceptible to flow 778 

failure, buttressing, draining or excavation, and/or other remedial measures should be implemented 779 

without significant vibrations or pressures to protect the structure.  780 

 781 
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TABLES & CAPTIONS 986 

Table 1.  Static flow failure case histories used in Fig.2  987 

 Structure                        Cause of Failure                                             

Vertical 

effective 

stress 

(kPa) 

qc1
 
(MPa) 

Sources 
 

 

BE LB UB  

Cadia 
2018 progressive 

softening 
166 0.8 0.2 1.6 

Morgenstern 

et al. (2019) 
 

Feijão Tailings 

Dam 
2019 unknown 174.8 1.4 0.9 1.8 

Robertson et 

al. (2019) 
 

Zeeland — 

Vlietepolder 
1889 High tide 59.7 3 1.7 4.4 

Olson and 

Stark (2003) 

 

Wachusett Dam 

— north dike 

1907 Reservoir 

filling 
141.6 4.6 2.6 6.5  

Calaveras Dam 1918 Construction 294.3 5.5 1 6  

Helsinki Harbor 1936 Construction 15.1 4 - -  

Fort Peck Dam 1938 construction 319.7 3.4 1.6 5.6  

Tar Island Dyke 1974 Construction 135.8 3 2 4  

Sullivan Tailings 

Dam 
1991 Construction 110 1.38 0.97 2.26 

Muhamad 

(2012) 

 

Merrispurit Dam 
1994 Strong 

Rainfall 
240 0.64 - -  

Jamuna Bridge 

1500W3 

1995 Dredging at 

the slope toe 
59 2.9 1.9 4  

 988 

 989 

 990 

 991 

 992 

 993 

 994 

 995 

 996 

 997 
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Table 2.  Static flow failure case histories used in Fig. 3 998 

Reference Name 
qc1 

(Mpa) 

Vertical 

Effective 

Stress 

(kPa)  

Fine 

content 

(%) 

m qc1N qc1N qc1N-cs 

liquefied 

strength 

(kPa) 

Morgenstern 

et al. (2019) 
Cadia 

tailings dam 
0.8 166.00 60 0.94 7.92 50.38 58.30 13.28 

Robertson et 

al. (2019) Feijão dam 
1.40 174.80 55 0.84 13.86 51.28 65.14 13.98 

Olson and 

Stark 

(2002)  

Zeeland - 

Vlietepolder 
3.00 59.70 11 0.73 29.70 7.81 36.76 7.47 

Wachusett 

Dam - 

North Dike 

4.60 141.60 8 0.66 45.54 2.46 47.00 14.08 

Calaveras 

Dam 
5.50 294.30 34 0.60 54.46 51.76 112.46 35.87 

Helsinki 

Harbor 
4.00 15.10 0 0.65 39.60 0.00 47.73 2.30 

Fort Peck 

Dam 
3.40 319.7 54 0.71 32.67 56.16 89.08 36.49 

Tar Island 

Dyke 
3.00 135.80 13 0.74 29.70 12.33 40.00 24.71 

Muhammad 

(2012)  

Sullivan 

Tailings 
1.38 110.00 88 0.85 13.66 56.93 70.18 13.27 

Merrispurit 

Dam 
0.64 240 30 0.93 6.34 36.54 42.88 12.00 

Jamuna 

Bridge 
2.90 59 17 0.73 28.71 21.54 51.06 8.38 

 999 

 1000 
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Table 3.  Seismic/Dynamic induced flow failure case histories from Olson and Stark (2003) 1001 

Case 

History/Location 

Cause of Failure Loading 

Condition 

Year 

of 

failure 

Case 

Histor

y 

Weighted 

average 

prefailur

e vertical 

effective 

stress 

(kPa) 

Weighted 

average 

prefailur

e vertical 

total 

stress' 

(kPa) 

qc1
 (MPa) 

BE LB UB 

Sheffield Dam 1925 Santa Barbara eq.  

(ML = 6.3) 

Seismic 1925 4 68.4 84.3 2.20 1.80 2.60 

Solfatara Canal 

Dike 

1940 Imperial Valley eq.  

(ML= 7.1) 

Seismic 1940 7 26.5 37.8 2.50 - - 

Lake Merced bank 1957 San Francisco eq.  

(ML= 5.3) 

Seismic 1957 8 55.4 89.1 3.20 3.00 6.20 

Kawagishi-Cho 

building 

1964  Niigata eq.  

(MW= 7.5) 

Seismic 1964 9     3.10 3.00 3.80 

Uetsu Railway 

embankment 

1964  Niigata eq.  

(MW= 7.5) 

Seismic 1964 10 51.7 59.4 1.80 - - 

El Cobre  

Tailings Dam 

1965 Chilean eq.  

(ML= 7 to 7.25) 

Seismic 1965 11     0.00 - - 

Koda Numa 

Highway 

embankment 

1968 Tokachi-Oki eq.  

(ML= 7.9) 

Seismic 1968 12 20.9 23.9 1.35 - - 

Metoki Road 

embankment 

1968 Tokachi-Oki eq.  

(ML= 7.9) 

Seismic 1968 13 34.8 42.9 1.05 0.90 1.20 

Hokkaido  

Tailings Dam 

1968 Tokachi-Oki eq.  

(ML= 7.9) 

Seismic 1968 14 59.9 70.2 0.36 0.35 0.38 

Lower  

San Fernando 

Dam 

1971 San Fernando eq.  

(MW= 6.6) 

Seismic 1971 15     4.70 2.10 6.20 

Mochi-Koshi   

Tailings  Dam 

— Dike 1 

1978  Izu-Oshima-Kinkai 

eq. (ML= 7.0) 

Seismic 1978 17 73.8 116.1 0.50 0.25 1.00 

— Dike 2 
 

Seismic 1978 18 69.2 110.0 0.50 0.25 1.00 

Hachiro-Gata  

Road embankment 

1983 Nihon-Kai-Chubu 

eq. (M = 7.7) 

Seismic 1983 22 30.2 36.9 3.00 1.10 4.90 

Asele road 

embankment 

1983 Pavement repairs Dynamic 1983 23 59.9   4.00 3.40 4.60 

La Marquesa Dam 

—U/S slope 

1985 Chilean eq. (Ms = 

7.8) 

Seismic 1985 24 46.0 101.0 2.00 1.80 2.30 
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—D/S slope   Seismic 1985 25 51.4 58.4 4.10 3.20 5.00 

La Palma Dam 1985 Chilean eq. (Ms = 

7.8) 

Seismic 1985 26 39.7 57.6 1.80 1.00 2.50 

Fraser River Delta 1985 Gas desaturation 

and low tide 

Seismic 1985 27     2.90 1.30 4.50 

Chonan   

Middle School 

1987 Chiba-Toho-Oki eq. 

(M = 6.7) 

Seismic 1987 29 56.4 64.8 2.60 1.80 4.40 

Nalband railway  

embankment 

1988 Armenian eq. (Ms,  

= 6.8) 

Seismic 1988 30 48.9 78.8 6.00 2.30 8.10 

Soviet Tajik 

—May 1 slide 

1989 Tajik, Soviet Union 

eq. (ML = 5.5) 

Seismic 1989 31 106.0 170.4 1.90 1.10 2.40 

Shibecha-Cho  

embankment 

1993 Kushiro-Oki eq. (M 

= 7.8) 

Seismic 1993 32 66.6 81.7 2.80 1.50 5.40 

Route 272 at  

Higashiarekinai 

1993 Kushiro-Oki eq. (M 

= 7.8) 

Seismic 1993 33 52.3 71.1 3.20 1.20 5.00 

 1002 

  1003 
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Table 4.  Seismic induced flow failure case histories from Muhamad (2012). 1004 
     

qc1
 (MPa) σʹv 

Case 

No. 

Year Structure Name Penetration 

Data 

FC (%) BE U/B L/B Effective 

Vertical Stress 

(kPa) 

1 1928 Barahona Dam SPT;CPT 15-20 3.5 11 0.6 404 

2 1979 Kamenari Landslide SPT - 3.8 6.9 0.8 51 

3 1988 Spitak Embankment slide 1 SPT;CPT 0 7.8 9.2 4.6 46.5 

4 1988 Spitak Embankment slide 2 SPT;CPT 0 7.8 9.2 4.6 47 

5 1989 Okuli Landslide SPT 100 0.8 1.9 0.66 113 

6 1991 Sullivan Tailings Dam SPT;CPT 88 1.38 2.26 0.97 110 

7 1993 Kushiro River Right Bank SPT 10 1.7 2.3 0 56 

8 1993 Kushiro River Left Bank SPT 10 1.7 4 1.14 79 

9 1993 Tohnai Dike SPT 10 2.4 5.2 2 89 

10 1993 Pashikuru (Route 38) Road Embankment SPT 20 1.68 - - 93.5 

11 1993 Itoizawa (Route 44) Road Embankment SPT 20 2.8 5.6 2.24 56 

12 1994 Merrispurit Dam CPT 1-60 0.64 - - 240 

13 1994 King Harbor Mole B SPT;CPT 2-7 4.6 11.7 1.1 47 

14 1995 Torishima Dike SPT 20 2.7 5 0.9 58.5 

15 1995 Nishijima Dike SPT 20 3.68 6.44 1.38 44 

16 1995 Upper Niteko Dam SPT 15 3.1 6.7 2.6 42 

17 1995 Middle Niteko Dam SPT 15 2.55 3.06 1.53 65 

18 1995 Takarazuka Landslide SPT 0 7.15 11.7 2.6 104 

19 1995 Nikawa Landslide SPT 17 4.95 7.7 2.2 175 

20 1995 Idenoshiri Dam SPT 30 2.4 4 1.6 87.5 

21 1995 Jamuna Bridge 1500W3 SPT;CPT 15-20 2.9 3.6 2.5 60 

22 1996 Jamuna Bridge 1800W4 SPT;CPT 15-20 3 3.9 2.5 54.5 

23 1996 Jamuna Bridge 1800WT13 SPT;CPT 15-20 3 3.5 2.4 69 

24 1996 Jamuna Bridge 2500WT4 SPT;CPT 15-20 2.8 4 1.9 53.5 

25 1999 Degimendere Slope SPT;CPT 5-10 2.8 4 1.9 53.5 

26 2001 Chang Dam SWS 15-23 4.8 6.24 3.84 105 

27 2001 Shivlakha Dam Estimated 15-23 4.8 5.8 3.84 112.5 

28 2001 Tapar Dam Estimated 15-23 4.8 5.8 3.84 102.25 

29 2001 Fategadh Dam SPT 15-23 5.76 7.2 4.8 83 

30 2001 Kaswati Dam SPT 15-23 5.76 7.2 4.3 88.5 

31 2001 Suvi Dam Estimated 15-23 4.8 5.8 3.84 104.5 
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Table 5.  Flow failure case histories analyzed herein. 1005 

Structure Cause of Failure Acceler

ation 

(g) 

Depth (m) CSR CRR Vertical 

total  

stress 

(kPa) 

Vertical 

effective 

stress 

(kPa) 

qc1
 (MPa)  FoS 

BE UB LB  

Las Palas 

Tailings 

Dam 

2010 Chile 

eq. (MW= 8.8) 
0.48 13.10 0.31 0.10 196.50 196.50 1.75 2.10 0.70 

 

0.23 

Yamanaka 

Dam 

1968 Tokachi-Oki 

eq. (MW= 8.3) 
0.06 0.60 0.22 0.13 30.10 5.10 4.70 - - 

 
0.62 

Kayakari 

Dam 

2011 Tōhoku 

eq. (MW= 9.0) 
0.42 5.50 0.32 0.06 101.83 86.79 1.24 2.16 1.05 

 
0.18 

Fundão 

Slope 

2015 near source 

eq. (ML = 2.6) 
0.08 4.60 0.06 0.10 100.65 91.49 7.30 10.22 7.30 

 
1.58 

Fundão 

Toe 

2015 near source 

eq. (ML = 2.6) 
0.08 4.30 0.06 0.08 94.38 91.54 2.70 8.80 2.70 

 
1.49 

Fundão 

Plateau 

(not 

liquefied) 

2015 near source 

eq. (ML = 2.6) 
0.08 5.00 0.04 0.09 110.00 110.00 10.0 12.81 7.92 

 

2.10 

Palu 

City 

2018 Sulawesi 

eq. (MW= 7.5) 
0.29 4.00 0.44 0.07 68.00 28.00 1.08 5.39 0.72 

 
0.16 

Cadia 

Tailings 

Dam 

2018 progressive 

softening 
Static 7.6-15.0 

 
 

  166.00 0.39 - - 

  

Feijão 

Tailings 

Dam 

2019 unknown Static 6.0-19.0 

 
 

  174.80 1.40 1.80 0.90 

  

 1006 

 1007 

 1008 

 1009 

 1010 

 1011 
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Table 6.  Flow failure case histories analyzed herein with fine content correction.  1012 

 1013 

  

Case 

number Name 

qc1 

 Vertical 

Effective 

Stress 

(kPa) 

Fine 

content 

(%) 

m qc1N qc1N qc1Ncs 

liquefied 

strength 

(kPa) 

acceration 

(g) 

Olson and 

Stark 

(2002) 

1 

Zeeland - 

Vlietepolder 
3.0 59.7 11.0 0.7 29.7 7.8 37.5 7.5   

2 

Wachusett 

Dam - North 

Dike 

4.6 141.6 8.0 0.7 44.5 2.5 47.0 14.1   

3 Calaveras Dam 5.5 294.3 34.0 0.6 60.7 51.8 112.5 35.9   

4 Sheffield Dam 2.5 62.6 40.0 0.8 24.7 47.9 72.6 6.6 0.2 

5 

Helsinki 

Harbor 
4.0 15.1 0.0 0.6 39.6 0.0 39.6 2.3   

6 Fort Peck Dam 3.4 319.7 54.0 0.7 32.9 56.2 89.1 36.5   

7 

Solfatara Canal 

Dike 
3.5 32.0 0.0 0.7 34.5 0.0 34.5 3.1 0.3 

8 

Lake Merced 

bank 
4.0 39.9 0.0 0.7 39.6 0.0 39.6 6.5 0.1 

9 

Kawagishi-Cho 

building 
3.3 70.6 2.0 0.7 33.0 0.0 33.0 5.3 0.2 

10 

Uetsu Railway 

embankment 
2.0 69.3 0.0 0.8 19.8 0.0 19.8 1.8 0.2 

11 

El Cobre 

Tailings Dam 
0.1 99.4 95.0 1.1 1.0 53.8 54.8 4.5 0.8 

12 

Koda Numa 

highway 

embankment 

1.8 41.7 40.0 0.8 18.3 46.3 64.6 4.4   

13 

Metoki Road 

embankment 
1.3 57.6 0.0 0.9 12.8 0.0 12.8 6.3   
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14 

Hokkaido 

Tailings Dam 
0.4 65.9 50.0 1.0 4.4 47.2 51.5 4.8   

15 

Lower San 

Fernando Dam 
4.6 152.0 25.0 0.7 45.6 38.2 83.8 25.8 0.5 

16 

Tar Island 

Dyke 
3.0 201.0 13.0 0.7 29.7 12.3 42.0 24.7   

17 

Mochi- kochi 

Dike 1 
0.6 73.4 73.0 0.9 5.7 52.7 58.4 10.1 0.3 

19 

Nerlerk Berm 

Slide 1 
5.8 29.5 10.0 0.6 57.4 6.5 63.9 3.3   

22 

Hachiro-Gata 

Road 

embankment 

4.0 32.2 15.0 0.7 40.1 18.0 58.1 3.3 0.2 

24 U/S slope 2.5 47.0 20.0 0.8 24.8 26.8 51.7 4.9 0.6 

25 DIS slope 4.5 58.2 30.0 0.7 44.6 44.3 89.0 10.2 0.6 

26 La Palma Dam 2.5 36.7 15.0 0.8 24.8 16.7 41.5 6.5 0.5 

28 

Lake 

Ackerman 

highway 

embankment 

3.6 43.5 0.0 0.7 35.4 0.0 35.4 5.1   

29 

Chonan Middle 

School 
2.4 49.4 18.0 0.8 23.3 22.9 46.2 6.8 0.1 

30 

Nalband 

Railway 

embankment 

6.4 57.9 30.0 0.6 63.1 48.1 111.1 8.0 0.8 

31 

Soviet Tajik - 

May 1 slide 
1.9 91.3 16.0 0.8 19.3 18.4 37.7 16.3 0.2 

32 

Shibecha-Cho 

embankment 
3.1 67.8 20.0 0.7 30.3 27.6 57.8 10.7 0.3 

33 

Route 272 at 

Higashiarekinai 
3.4 61.5 33.0 0.7 34.1 45.0 79.1 6.6 0.4 

Muhammad 

(2012)  2 

Kamenari 

Landslide 
4.2 61.3 0.0 0.7 41.2 0.0 41.2 7.5 0.2 
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3 

Spitak 

Embankment 

slide 1 

8.2 51.0 0.0 0.5 81.2 0.0 81.2 7.8 0.8 

5 

Okuli 

Landslide 
4.1 46.5 100.0 0.7 40.9 66.6 107.6 7.0 0.2 

6 

Sullivan 

Tailings 
1.3 110.0 88.0 0.8 13.2 56.9 70.2 0.3   

7 

Kushiro River 

Left Bank 
1.6 115.6 10.0 0.8 16.3 5.3 21.6 7.3 0.4 

9 Tohnai Dike 2.5 79.0 10.0 0.8 25.1 5.6 30.7 9.7 0.2 

11 

Itoizawa 

(Route 44) 

Road 

Embankment 

2.9 89.0 20.0 0.7 28.4 27.3 55.7 11.0 0.2 

14 Torishima Dike 3.1 56.0 20.0 0.7 30.8 27.6 58.5 13.3 0.3 

15 Nishijima Dike 4.1 58.5 20.0 0.7 40.4 28.9 69.3 10.7 0.3 

16 

Upper Niteko 

Dam 
3.8 44.0 15.0 0.7 37.4 17.8 55.2 11.0 0.4 

17 

Middle Niteko 

Dam 
3.2 42.0 15.0 0.7 32.0 17.3 49.3 16.0 0.4 

20 Idenoshiri Dam 2.7 65.0 30.0 0.7 26.5 40.6 67.1 15.1 0.4 

21 Jamuna Bridge 3.0 59.0 17.0 0.7 29.5 21.5 51.1 8.4   

28 Tapar Dam 5.1 67.0 19.0 0.6 50.2 28.2 78.4 16.5 0.4 

29 Fategadh Dam 5.8 102.3 19.0 0.6 57.0 29.1 86.1 17.3 0.1 

30 Kaswati Dam 5.9 83.0 19.0 0.6 57.9 29.2 87.1 17.5 0.4 

Current study 

cadia tailings 

dam 
0.8 166.0 60.0 0.9 7.9 50.4 58.3 13.3   

Feijiao dam 1.4 174.8 55.0 0.8 13.9 51.3 65.1 14.0   

Fundao-Plateau 10.0 139.0 12.0 0.5 99.0 13.6 112.6   0.1 

Fundao_slope 7.5 92.4 12.0 0.6 74.3 12.3 86.6 2.8 0.1 

Fundao_Toe 2.5 70.0 12.0 0.8 24.8 9.9 34.6 2.1 0.1 

Palu city 3.0 28.8 15.0 0.7 29.7 17.1 46.8 1.2 0.2 
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Las Palas 

tailings dam 
1.8 196.5 10.0 0.8 17.3 0.1 17.4 9.8 0.5 

Yamanaka 4.2 76.8 28.0 0.7 41.6 41.4 83.0 7.7 0.3 

Kayakari dam 6.0 74.0 30.0 0.6 59.4 47.3 106.7 11.8 0.4 

1014 
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Table 7.  Results of liquefaction triggering analysis and applicable shear strength 1015 

ratio for each segment for USFD.  1016 

Analysis 

Parameter 

Segment 1 – 

Upstream 

Hydraulic 

Fill 

Segment 2 – 

Upstream 

Hydraulic 

Fill 

Segment 3 – 

Clay Core 

Segment 4 – 

Downstream 

Hydraulic 

Fill 

Segment 5 – 

Downstream 

Hydraulic 

Fill 

Boring SPT B-1 SPT B-2 SPT B-3 SPT B-4 SPT B-5 

N1,60,cs 15.1 16.8 - 15.0 15.8 

qc1N-cs 61.3 68.2 - 60.9 64.1 

FoSLiquefaction 0.4 0.6 - 0.7 1.3 

ru, seismic 

(Marcuson et al., 

1990) 

0.75 - 1.0 0.75 - 1.0 - 0.75 - 1.0 0.04 - 0.35 

ru, seismic  

(Piezometric 

data) 

N/A Overflowed 

(P1) 

Overflowed 

(P2) 

N/A 0.12  

(P3) 

Applicable 

strength ratio 

Liquefied 

strength 

ratio 

Liquefied 

strength ratio 

Yield 

strength ratio 

Liquefied 

strength ratio 

Yield 

strength ratio 

 1017 

Table 8.  Pore pressure generation for Fundão tailings dam. 1018 

Local 

Time 

Magnitude   

(Mw) 
Pga (g) 

Sandslope 

(FoSliquefaction/rustatic) 

Sandplateau  

(FoSliquefaction/rustatic) 

SandToe 

(FoSliquefaction/rustatic) 

14:12 2.2 0.06 2.1/0.14 2.9/0.07 1.8/0.15 

14:13 2.6 0.08 1.6/0.26 2.2/0.11 1.5/0.28 

14:16 1.8 0.06 2.1/0.14 2.9/0.07 1.8/0.15 

 Total Ru,seismic    NA/0.54  NA/0.25 NA/0.58 

 1019 

  1020 
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FIGURE CAPTIONS  1021 

Fig. 1. Schematic undrained response of saturated sandy soil subjected to static and 1022 

dynamic loads. 1023 

 1024 

 1025 

Fig. 2. Empirical correlation between effective normal stress and normalized CPT tip 1026 

resistance for static flow failure case histories shown in Table 1. 1027 

 1028 

 1029 

Fig. 3. Empirical correlation between effective normal stress and normalized clean sand 1030 

CPT tip resistance for static flow failure case histories shown in Table 2. 1031 

 1032 

Fig. 4. Empirical correlation between qc1 (bars indicate range of penetration test values) 1033 

and pre-failure effective vertical stresses for static and seismic case histories. 1034 

 1035 

Fig. 5. Empirical correlation between qc1N-cs and pre-failure effective vertical stresses for 1036 

static and seismic case histories. 1037 

 1038 

Fig. 6. Relationship between factor of safety against liquefaction and seismic residual 1039 

excess pore-water pressure ratio. Red data point shows the FoSLiquefaction and 1040 

corresponding 𝒓𝒖,𝒔𝒆𝒊𝒔𝒎𝒊𝒄 for USFD example. 1041 

 1042 

Fig. 7. Empirical correlation between Su(Liquefaction)/ 'vo and corrected cone penetration tip 1043 

resistance from flow failures.  1044 

Fig. 8. Empirical correlation between Su(Liquefaction)/ 'vo and corrected clean sand cone 1045 

penetration tip resistance from flow failures. 1046 

 1047 

Fig. 9. Empirical correlation between Su(yield)/ 'vo and corrected cone penetration tip 1048 

resistance from static flow failures. 1049 

 1050 

Fig. 10.  Change in piezometric levels during and after the 1971 San Fernando earthquake 1051 

(data from Serff et al., 1976). 1052 

 1053 

 1054 

Fig. 11. Cross-section showing location of relevant soil borings, zones of hydraulic sand 1055 

fills, piezometers just before deformations, and five segments along estimated failure 1056 

surface. 1057 

 1058 

 1059 

Fig. 12. Summary of available pre-earthquake SPT data showing corrected N1,60,cs values: 1060 

(a) segments 1 and 2 (b) segments 4 and 5 (data from Serff et al., 1976).  1061 

 1062 
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Fig. 13.  Comparison of instability line, critical state locus, and reduction in effective stress 1063 

of segment 5 due to seismically induced pore-water using the piezometric data 1064 

in P3. 1065 

 1066 

Fig. 14.  Available CPT data showing corrected qc1N-cs values: (a) CPT 5 (b) CPT 6 1067 

(modified from Bardet and Davis, 1996) 1068 

 1069 

Fig. 15.  Cross-Section 02 showing location of relevant cone penetration tests, soil borings, 1070 

zones of loose sand tailings, and field observations of scarp formation and toe 1071 

cracking and seepage at failure (after Stark et al. (2023)). 1072 

 1073 

Fig. 16.  Comparison of CSRL, IL, and reduction in effective stress due maximum 1074 

seismically induced pore-water pressures from Marcuson et al. (1990) for the left 1075 

abutment: (a) downstream slope, SandSlope, (b) plateau area, SandPlateau, and (c) 1076 

downstream, SandToe. 1077 

 1078 

  1079 
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FIGURES  1080 

 1081 

 1082 

 1083 
   (a)       (b) 1084 

Fig. 1. Schematic undrained response of saturated sandy soil subjected to static and 1085 

dynamic loads. 1086 

 1087 

  1088 
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 1089 

Fig. 2. Empirical correlation between effective normal stress and normalized CPT 1090 

tip resistance without fines content correction for static flow failure case 1091 

histories shown in Table 1. 1092 

 1093 

 1094 

  1095 
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 1096 

Fig. 3. Empirical correlation between effective normal stress and normalized clean 1097 

sand CPT tip resistance for static flow failure case histories shown in Table 2. 1098 
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 1099 

Fig. 4. Empirical correlation between qc1 (bars indicate range of penetration test 1100 

values) and pre-failure effective vertical stresses without fines content 1101 

correction for static and seismic flow slide case histories.  1102 
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 1103 

Fig. 5. Empirical correlation between qc1N-cs and pre-failure effective vertical 1104 

stresses for static and seismic flow slide case histories. 1105 

 1106 

 1107 

 1108 

 1109 
Fig. 6. Relationship between factor of safety against liquefaction and seismic 1110 

residual excess pore-water pressure ratio and red data point shows the 1111 

FoSLiquefaction and red dot corresponding 𝒓𝒖,𝒔𝒆𝒊𝒔𝒎𝒊𝒄 for USFD example. 1112 

 1113 
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 1114 
Fig. 7. Empirical correlation between Su(Liquefaction)/ 'vo and corrected cone 1115 

penetration tip resistance from flow failures.  1116 

 1117 

 1118 

 1119 
Fig. 8. Empirical correlation between Su(Liquefaction)/ 'vo and corrected clean sand 1120 

cone penetration tip resistance from flow failures.  1121 

 1122 
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 1123 

 1124 

Fig. 9.  Empirical correlation between Su(yield)/ 'vo and corrected cone penetration 1125 

tip resistance from static flow failures. 1126 

  1127 
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 1128 

 1129 

 1130 
 1131 

Fig. 10. Change in piezometric levels during and after the 1971 San Fernando 1132 

earthquake (data from Serff et al., 1976). 1133 

 1134 

 1135 

 1136 

 1137 

 1138 
Fig. 11. Cross-section showing location of relevant soil borings, zones of hydraulic 1139 

sand fills, piezometers just before deformations, and five segments along 1140 

estimated failure surface. 1141 
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 1147 
(a) 1148 

 1149 

 1150 
(b) 1151 

Fig. 12. Summary of available pre-earthquake SPT data showing corrected N1,60,cs 1152 

values: (a) segments 1 and 2 (b) segments 4 and 5 (data from Serff et al., 1153 

1976).  1154 

 1155 

 1156 

  1157 



67 

 1158 
Fig. 13.  Comparison of instability line, critical state locus, and reduction in effective 1159 

stress of segment 5 due to seismically induced pore-water using the 1160 

piezometric data in P3.  1161 
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(a) 1177 

 1178 

 1179 
(b) 1180 

 1181 

Fig. 14.  Available CPT data showing corrected qc1N-cs values: (a) CPT 5 (b) CPT 6 1182 

(modified from Bardet and Davis, 1996) 1183 
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 1187 
Fig. 15.  Cross-Section 02 showing location of relevant cone penetration tests, soil 1188 

borings, zones of loose sand tailings, and field observations of scarp 1189 

formation and toe cracking and seepage at failure (after Stark et al. (2023)). 1190 
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 1194 
Fig. 16. Comparison of CSRL, IL, and reduction in effective stress due maximum 1195 

seismically induced pore-water pressures from Marcuson et al. (1990) for the left 1196 

abutment: (a) downstream slope, SandSlope, (b) plateau area, SandPlateau, and (c) 1197 

downstream, SandToe. 1198 


